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Abstract 1 

Large-diameter monopiles are widely used foundations for offshore wind turbines. In the 2 

present study, three-dimensional finite element (FE) analyses are performed to estimate the static 3 

lateral load-carrying capacity of monopiles in dense sand subjected to eccentric loading. A 4 

modified Mohr-Coulomb (MMC) model that considers the pre-peak hardening, post-peak 5 

softening and the effects of mean effective stress and relative density on stress–strain behavior of 6 

dense sand is adopted in the FE analysis. FE analyses are also performed with the Mohr-7 

Coulomb (MC) model. The load–displacement behavior observed in model tests can be 8 

simulated better with the MMC model than the MC model. Based on a parametric study for 9 

different length-to-diameter ratio of the pile, a load–moment capacity interaction diagram is 10 

developed for different degrees of rotation. A simplified model, based on the concept of lateral 11 

pressure distribution on the pile, is also proposed for estimation of its capacity. 12 

Keywords: monopiles; finite element; dense sand; modified Mohr-Coulomb model; lateral load; 13 

offshore wind turbine. 14 

Introduction 15 

Wind energy is one of the most promising and fastest growing renewable energy sources 16 

around the world. Because of steady and strong wind in offshore environments as compared to 17 

onshore, along with less visual impact, a large number of offshore wind farms have been 18 

constructed and are under construction. The most widely used foundation system for offshore 19 

wind turbines is the monopile, which is a large-diameter 3–6 m hollow steel driven pile having 20 

length-to-diameter ratio less than 8 (e.g., LeBlanc et al. 2010; Doherty and Gavin 2012; Doherty 21 

et al. 2012; Kuo et al. 2011). Monopiles have been reported to be an efficient solution for 22 

offshore wind turbine foundations in water depth up to 35 m (Doherty and Gavin 2012). The 23 
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dominating load on offshore monopile is the lateral load from wind and waves, which acts at a 24 

large eccentricity above the pile head. 25 

To estimate the load-carrying capacity of monopiles, the p–y curve method recommended 26 

by the American Petroleum Institute (API 2011) and Det Norske Veritas (DNV 2011) are widely 27 

used. A p–y curve defines the relationship between mobilized soil resistance (p) and the lateral 28 

displacement (y) of a section of the pile. The reliability of the p–y curve method in monopile 29 

design has been questioned by a number of researchers (e.g., Abdel-Rahman and Achmus 2005; 30 

Lesny and Wiemann 2006; Achmus et al. 2009; LeBlanc et al. 2010; Doherty and Gavin 2012). 31 

The API and DNV recommendations are slightly modified form of the p–y curve method 32 

proposed by Reese et al. (1974) mainly based on field tests results of two 610 mm diameter 33 

flexible slender piles. However, the large-diameter offshore monopiles behave as a rigid pile 34 

under lateral loading. Moreover, in the API recommendations, the initial stiffness of the p–y 35 

curve is independent of the diameter of the pile, which is also questionable. Doherty and Gavin 36 

(2012) discussed the limitations of the API and DNV methods to calculate the lateral load-37 

carrying capacity of offshore monopiles.  38 

Monopiles have been successfully installed in a variety of soil conditions; however, the 39 

focus of the present study is to model monopiles in dense sand. Studies have been performed in 40 

the past for both static and cyclic loading conditions (e.g., Achmus et al. 2009; Cuéllar 2011; 41 

Ebin 2012); however, cyclic loading is not discussed further because it is not the focus of the 42 

present study. To understand the behavior of large-diameter monopiles in sand, mainly three 43 

different approaches have been taken in recent years, namely physical modeling, numerical 44 

modeling, and modification of the p–y curves. LeBlanc et al. (2010) reported the response of a 45 

small-scale model pile under static and cyclic loading installed in loose and dense sand. 46 

Centrifuge tests were also conducted in the past to understand the response of large-diameter 47 
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monopiles in dense sand subjected to static and cyclic lateral loading at different eccentricities 48 

(e.g., Klinkvort et al. 2010; Klinkvort and Hededal 2011; Klinkvort and Hededal 2014). Møller 49 

and Christiansen (2011) conducted 1g model tests in saturated and dry dense sand. Conducting 50 

centrifuge tests using 2.2 m and 4.4 m diameter monopiles, Alderlieste (2011) showed that the 51 

stiffness of the load–displacement curves increases with diameter. The comparison of results of 52 

centrifuge tests and the API approach shows that the API approach significantly overestimates 53 

the initial stiffness of the load–displacement behavior. In order to match test data, Alderlieste 54 

(2011) modified the API formulation by introducing a stress-dependent stiffness relation. 55 

However, the author recognized that the modified API approach still underestimates the load at 56 

small displacements and overestimates at large displacements and therefore recommended for 57 

further studies. It is also to be noted here that, small-scale model tests were conducted in the past 58 

to estimate the lateral load-carrying capacity of rigid piles and bucket foundations (e.g., Prasad 59 

and Chari 1999; Lee et al. 2003; Ibsen et al. 2014). However, contradictory evidences of 60 

diameter effects warrant further investigations from a more fundamental understanding (Doherty 61 

and Gavin 2012). 62 

Finite element modeling could be used to examine the response of monopiles under 63 

eccentric loading. In the literature, FE modeling of large-diameter monopiles is limited as 64 

compared to slender piles. Most of the previous FE analyses were conducted mainly using Plaxis 65 

3D and Abaqus FE software. The back-calculated p–y curves from FE results show that the API 66 

recommendations significantly overestimates the initial stiffness (Hearn and Edgers 2010; Møller 67 

and Christiansen 2011). Overestimation of the ultimate resistance in FE simulation, as compared 68 

to model test results, has been also reported in previous study (Møller and Christiansen 2011). 69 

FE modeling also shows that the soil model has a significant influence on load–displacement 70 

behavior of monopile (Wolf et al. 2013). 71 
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Most of the above FE analyses have been conducted using the built-in Mohr-Coulomb 72 

(MC) model. In commercial FE software (e.g., Abaqus), the angle of internal friction and 73 

dilation angle are defined as input parameters for the MC model. However, laboratory tests on 74 

dense sands show post-peak softening behavior with shear strain, which should be considered in 75 

numerical modeling for a better understanding of the response of monopiles in dense sand. 76 

The objective of the present study is to conduct FE modeling of monopile foundations for 77 

offshore wind turbines under static lateral loading. A realistic model that captures the key 78 

features of stress–strain behavior of dense sand is adopted in the FE modeling, which could 79 

explain the load–displacement behavior observed in model tests. A simplified method is also 80 

proposed for preliminary estimation of load-carrying capacity of monopile.  81 

Finite element model 82 

A monopile of length L and diameter D installed in dense sand is simulated in this study. 83 

During installation, the soil surrounding the monopile can be disturbed. However, the effects of 84 

disturbance on the capacity are not considered in this study, instead the simulations are 85 

performed for a wished-in-place monopile. The monopile is laterally loaded for different load 86 

eccentricities as shown in Fig. 1(a). Analyses are also performed only for pure moment applied 87 

to the pile head. The sign convention used for displacement and rotation of the monopile is also 88 

shown in Fig. 1(a). Figure 1(b) shows an idealized horizontal stress distribution on the pile. 89 

Figure 1(c) shows the loading conditions of the soil elements around the pile. Further discussion 90 

on Figs. 1(b) and 1(c) are provided in the following sections. 91 

The FE analyses are performed using Abaqus/Explicit (Abaqus 6.13-1) FE software. 92 

Pile–soil interactions are investigated by modeling the buried section of the monopile and 93 

surrounding soil. Taking the advantage of symmetry, only a half-circular soil domain of diameter 94 

15D and depth 1.67L is modeled (Fig. 2a). The soil domain shown in Fig. 2(a) is large enough 95 
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compared to the size of the monopile; and therefore, significant boundary effects are not 96 

expected on calculated load, displacement and soil deformation mechanisms; which have been 97 

also verified by conducting analyses with larger soil domains. The vertical plane of symmetry is 98 

restrained from any displacement perpendicular to it, while the curved vertical sides of the soil 99 

domain are restrained from any lateral displacement using roller supports at the nodes. The 100 

bottom boundary is restrained from any vertical displacement, while the top boundary is free to 101 

displace. The soil is modeled using the C3D8R solid homogeneous elements available in 102 

Abaqus/Explicit element library, which is an 8-node linear brick element with reduced 103 

integration and hourglass control. Typical FE mesh used in this study is shown in Fig. 2(a), 104 

which is selected based on a mesh sensitivity analysis. The pile is modeled as a rigid body. The 105 

reference point of the rigid pile, located at a distance e above the pile head on the centerline of 106 

the pile, is displaced laterally along the X direction. The reaction force in the X direction at the 107 

reference node represents the lateral force (H), which generates a lateral load (H) and moment M 108 

(=H×e) at the pile head (Fig. 1b). For the pure moment cases, only a moment M is applied to the 109 

pile head without H by applying a rotation at the reference point located at the pile head (i.e. 110 

e=0). 111 

Modeling of the monopile 112 

The pile–soil interaction behavior is significantly influenced by the rigidity of pile (e.g., 113 

Dobry et al. 1982; Briaud et al. 1983; Budhu and Davies 1987; Carter and Kulhawy 1988).  To 114 

characterize rigid or flexible behavior, Poulos and Hull (1989) used a rigidity parameter, 115 

R=(EpIp/Es)0.25, where Ip is the moment of inertia of the pile, Ep and Es are the Young’s modulus 116 

of the pile and soil, respectively. They also suggested that if L≤1.48R the pile behaves as rigid 117 

while it behaves as a flexible pile if L≥4.44R. Monopiles used for offshore wind turbine 118 

foundations generally behave as a rigid pile (LeBlanc et al. 2010; Doherty and Gavin 2012). 119 
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Therefore, all the analysis presented in the following sections, the pile is modeled as a rigid body 120 

because it saves the computational time significantly.  121 

Modeling of sand 122 

The elastic perfectly plastic Mohr-Coulomb (MC) model has been used in the past to 123 

evaluate the performance of monopile foundations in sand (e.g., Abdel-Rahman and Achmus 124 

2006; Sørensen et al. 2009; Achmus et al. 2009; Kuo et al. 2011; Wolf et al. 2013). However, the 125 

Mohr-Coulomb model has some inherent limitations. Once a soil element reaches the yield 126 

stress, which is defined by the Mohr-Coulomb failure criterion, constant dilation is employed 127 

which implies that dense sand will continue to dilate with shearing, whereas laboratory tests on 128 

dense sands show that the dilation angle gradually decreases to zero with plastic shearing and the 129 

soil element reaches the critical state. In the present study, this limitation is overcome by 130 

employing a modified form of Mohr-Coulomb (MMC) model proposed by Roy et al. (2014, 131 

2015) which takes into account the effects of pre-peak hardening, post-peak softening, density 132 

and confining pressure on mobilized angle of internal friction (φ′) and dilation angle (ψ) of dense 133 

sand. A summary of the constitutive relationships of the MMC model is shown in Table 1. 134 

Figure 2(b) shows the typical variation of mobilized φ′ and ψ with plastic shear strain (γp). The 135 

following are the key features of the MMC model. 136 

The peak friction angle ( pφ′ ) increases with relative density but decreases with confining 137 

pressure, which is a well-recognized phenomena observed in triaxial and direct simple shear 138 

(DSS) tests (e.g., Bolton 1986; Tatsuoka et al. 1986; Hsu and Liao 1998; Houlsby 1991; Schanz 139 

and Vermeer 1996; Lings and Dietz 2004). Mathematical functions for mobilized φ′ and ψ with 140 

plastic shear strain, relative density and confining pressure have been proposed in the past 141 

(Vermeer and deBorst 1984; Tatsuoka et al. 1993; Hsu and Liao 1998; Hsu 2005). Reanalyzing 142 
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additional laboratory test data, Roy et al. (2014, 2015) proposed the improved relationships 143 

shown in Table 1 (MMC model) and used for successful simulation of pipeline–soil interaction 144 

behavior. Further details of the model and parameter selection are discussed in Roy et al. (2014a, 145 

b) and are not repeated here. 146 

In Abaqus, the proposed MMC model cannot be used directly using any built-in model; 147 

therefore, in this study it is implemented by developing a user subroutine VUSDFLD written in 148 

FORTRAN. In the subroutine, the stress and strain components are called in each time increment 149 

and from the stress components the mean stress (p′) is calculated. The value of p′ at the initial 150 

condition represents the confining pressure (𝜎𝜎𝑐𝑐′), which is stored as a field variable to calculate Q 151 

(see the equation in the first row of Table 1).  Using the strain increment components, the plastic 152 

shear strain increment γ̇𝑝𝑝 is calculated as �3(ϵ̇𝑖𝑖𝑖𝑖
𝑝𝑝 ϵ̇𝑖𝑖𝑖𝑖

𝑝𝑝)/2  for triaxial configuration, where  ϵ̇𝑖𝑖𝑖𝑖
𝑝𝑝  is 153 

the plastic strain increment tensor. The value of γp is calculated as the sum of γ̇𝑝𝑝 over the period 154 

of analysis. In the subroutine, γp and p′are defined as two field variables FV1 and FV2, 155 

respectively. In the input file, using the equations shown in Table 1, the mobilized φ′ and ψ are 156 

defined in tabular form as a function of γp and p′. During the analysis, the program accesses the 157 

subroutine and updates the values of φ′ and ψ with field variables. 158 

Model parameters 159 

The soil parameters used in the FE analyses are listed in Table 2. As shown in Fig. 1(c), 160 

the mode of shearing of a soil element around the monopile depends on its location. For 161 

example, in Fig. 1(c), the loading on soil element A is similar to triaxial compression, while the 162 

elements B and C are loaded similar to DSS condition. Experimental results show that the 163 

parameters Aψ and kψ that define peak friction (φ′𝑝𝑝) and dilation angle (ψp) (i.e. 2nd and 3rd Eqs. 164 
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in Table 1) depend on the mode of shearing (e.g., Bolton 1986; Houlsby 1991; Schanz and 165 

Vermeer 1996). For example, Bolton (1986) recommended Aψ=5 and kψ=0.8 for plane strain 166 

condition and Aψ=3 and kψ=0.5 for triaxial condition. In a recent study, Chakraborty and 167 

Salgado (2010) showed that Aψ=3.8 and kψ=0.6 is valid for both triaxial and plane strain 168 

condition for Toyoura sand. The soil around the pile under eccentric loading is not only in 169 

triaxial or plane strain condition but varies in a wide range of stress conditions depending upon 170 

depth (z) and α (Figs. 1b, c). Therefore, in this study Aψ=3.8 and kψ=0.6 is used for simplicity. 171 

In addition, based on Chakraborty and Salgado, (2010), the parameter Q is varied as 172 

Q=7.4+0.6 ln(σc
' ) with 7.4≤Q≤10. 173 

The interaction between pile and surrounding soil is modeled using the Coulomb friction 174 

model, which defines the friction coefficient (µ) as µ=tan (φµ), where φµ is the soil–pile interface 175 

friction angle. The value of φµ/φ' varies between 0 and 1 depending upon the surface roughness, 176 

mean particle size of sand and the method of installation (CFEM 2006; Tiwari et al. 2010). For 177 

smooth steel pipe piles, φµ/φ is in the range of 0.5–0.7 (Potyondy 1961; Coduto 2001; Tiwari and 178 

Al-Adhadh 2014). For numerical modeling, φµ/φ' within this range has been also used in the past 179 

(e.g., Achmus et al. 2013). In the present study, φµ=0.65φ′ is used, where 180 

φ′ (in degree)=16Dr
2+0.17Dr+28.4 (API, 1987). 181 

The Young’s modulus of elasticity of sand (Es) can be expressed as a function of mean 182 

effective stress (p') as, Es=Kpa�p' pa⁄ �
n
 (Janbu, 1963); where, K and n are soil parameters and pa 183 

is the atmospheric pressure. However, in this study, a constant value of Es=90 MPa is used 184 

which is a reasonable value for a dense sand having Dr=90%. 185 
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The numerical analysis is conducted in two steps. In the first step, geostatic stress is 186 

applied. In the second step, the pile is displaced in the X direction specifying a displacement 187 

boundary condition at the reference point at a vertical distance e above the pile head (Fig. 2a). 188 

Two sets of FE analyses are performed. In the first set, analyses are performed to show 189 

the performance of the model comparing the results of FE analysis and centrifuge tests reported 190 

by Klinkvort and Hededal (2014), which is denoted as “model test simulation.” In the second set 191 

a parametric study is conducted for a wide range of aspect ratio (η=L/D) of the pile and load 192 

eccentricity. 193 

Model test simulation results 194 

a) Simulation of Klinkvort and Hededal (2014) centrifuge test results 195 

Four centrifuge tests (T6, T7, T8 and T9) conducted by Klinkvort and Hededal (2014) are 196 

simulated. These tests were conducted using 18 m long and 3 m diameter (prototype) monopiles 197 

installed in saturated dense sand of Dr ≈ 90%. The lateral load was applied at an eccentricity (e) 198 

of 27.45, 31.5, 38.25 and 45.0 m in tests T6, T7, T8 and T9, respectively. 199 

The soil parameters used in FE simulation with the MMC model are listed in Table 2.  200 

Figure 3 shows the variation of normalized force (H/Kpγ'D3) with normalized displacement (u/D) 201 

obtained from FE analyses along with centrifuge test results. Here, H is the lateral force, γ′ is the 202 

submerged unit weight of sand, D is the diameter of the pile, Kp is the Rankine passive earth 203 

pressure coefficient calculated using API (1987) recommended φ′ mentioned above, and u is the 204 

lateral displacement of the pile head. Note that different parameters have been used in the past to 205 

normalize H (e.g., LeBlanc et al. 2010; Achmus et al. 2013; Klinkvort and Hededal 2014); 206 

however, in order to be consistent, the vertical axis of Fig. 3 shows the normalized H as 207 

Klinkvort and Hededal (2014). 208 
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The normalized load–displacement behavior obtained from FE analyses match well with 209 

the centrifuge test results except for T7 in which FE analyses show higher initial stiffness than 210 

that reported from centrifuge test. Klinkvort and Hededal (2014) recognized this low initial 211 

stiffness in T7, although did not report the potential causes. The load–displacement curves do not 212 

become horizontal even at u/D=0.5 although the gradient of the curves at large u is small as 213 

compared to the gradient at low u. As the load–displacement curve does not reach a clear peak, a 214 

rotation criterion is used to define the ultimate capacity (Hu and Mu). Klinkvort (2012) defined 215 

the ultimate condition (failure) at θ=4° while LeBlanc et al. (2010) defined it as 𝜃𝜃� =216 

𝜃𝜃�𝑝𝑝𝑎𝑎/𝐿𝐿𝐿𝐿′ = 4°. In this study, defining the ultimate condition at θ=5° (i.e. 𝜃𝜃� = 3.7° in this case), 217 

Hu and Mu (=Hue) are obtained. The rotation of the pile with vertical axis (θ) is obtained by 218 

plotting the lateral displacement of the pile with depth. 219 

b) Effects of vertical load 220 

The monopiles supporting offshore wind turbines also experience a vertical load due to 221 

the weight of superstructure containing the turbine and transition pieces. Typical vertical load on 222 

a 2–5 MW offshore wind turbine foundation is 2.4–10 MN (Malhotra 2011; LeBlanc et al. 2010; 223 

Achmus et al. 2013). The effects of vertical load on the lateral load-carrying capacity of 224 

monopile are examined from 21 simulations of a monopile having L=18 m and D=3 m under 225 

vertical loading V of 0, 5 and 10 MN for lateral loading at 6 different eccentricities and pure 226 

moment. The soil parameters used in the analysis are same as before (Table 2). In these 227 

simulations, after the geostatic step, the vertical load is applied gradually and then the lateral 228 

eccentric load is applied as shown in Fig. 1a. 229 

The Hu–Mu interaction curves obtained from these 21 FE simulations for different vertical 230 

loading conditions are shown in Fig. 4a. As shown, the load-carrying capacity of a monopile 231 
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increases with vertical load. In this case, Hu and Mu increase approximately by 11% for a change 232 

of V from 0 to 10 MN. 233 

The initial stiffness (kin) of the load–rotation curve is one of the main concerns in 234 

monopile design. As the H–θ curve is nonlinear, kin is defined as the slope of the line drawn from 235 

origin to the point at θ=0.5° (inset of Fig. 4b). Figure 4(b) shows that kin decreases with 236 

eccentricity; however, the effect of V on kin is minimal. For a given eccentricity, the minimum 237 

load-carrying capacity (Fig. 4a) and stiffness (Fig. 4b) are obtained for V=0. Achmus et al. 238 

(2013) also found similar effect of V from FE simulation using the MC model. From centrifuge 239 

modeling, Alderlieste (2011) also reported decrease in stiffness with eccentricity. As the effect of 240 

V is not very significant, in the following sections, all the analyses are performed for V=0. 241 

c) FE Simulation with Mohr-Coulomb model 242 

The built-in Mohr-Coulomb (MC) model in Abaqus FE software is also used to simulate 243 

the response of monopiles in sand. With the MC model, the soil behavior is elastic until the 244 

stress state reaches the yield surface which is defined by the Mohr-Coulomb failure criterion. 245 

Constant values of φ′ and ψ are needed to be given as input parameters in the MC model. As 246 

post-peak softening occurs during shearing of dense sand, estimation of appropriate values of φ′ 247 

and ψ is a challenging task. Based on the API (1987) recommendations mentioned above 248 

φ′=41.5° is calculated for Dr=90%. The value of ψ (=13°) is then calculated using the 249 

relationship proposed by Bolton (1986) as ψ=(φ′p-φ′c)/0.8. Now using φ′=41.5° and ψ=13°, FE 250 

analyses are also performed using the built-in MC model. The dashed lines in Fig. 3 show the 251 

simulation results with the MC model.  The MC model over-predicts the lateral load-carrying 252 

capacity together with overall high stiffness of the load–displacement curve compared to 253 

centrifuge tests and FE simulations with the MMC model. 254 
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Overestimation of the initial stiffness by the API formulation for large-diameter pile has 255 

been reported by a number of researchers (e.g., Achmus et al. 2009; Lesny et al. 2007). 256 

Alderlieste (2011) introduced a correction term to define stress-dependent soil stiffness to match 257 

the experimental load–displacement curves. Although this modification improves the prediction, 258 

it under-predicts H at low u but over-predicts at large u. 259 

One of the main advantages of the MMC model is that the mobilized φ′ and ψ decrease 260 

with plastic shear strain (i.e. displacement u) which reduces the shear resistance of soil and 261 

therefore the gradient of the load–displacement curves reduces with u (Fig. 3). 262 

d) Soil failure mechanisms 263 

The mechanisms involved in force–displacement behavior can be explained further using 264 

the formation of shear bands (plastic shear strain concentrated zones). The accumulated plastic 265 

shear strain (γp) in the simulation of test T9 is shown in left column of Fig. 5 for θ=0.5°, 1° and 266 

5°. The plastic shear strains start to develop near the pile head at a small rotation (e.g., θ=0.5°) 267 

and an inclined downward shear band f1 forms in front of the pile (right side) because of 268 

eccentric lateral loading (Fig. 5a). With the increase in θ, another inclined upward shear band f2 269 

forms that reaches the ground surface and creating a failure wedge as shown in Fig. 5(b). With 270 

further increase in rotation (e.g., θ=5°), the third shear band f3 forms (Fig. 5c).  During the 271 

formation of shear bands, small or negligible γp develops in the soil elements outside the shear 272 

bands. With increase in rotation, γp increases in and around the shear bands. In addition, 273 

significant plastic shear strains develop behind the pile with rotation resulting in active failure of 274 

the soil and settlement near the pile head (Fig. 5c). The right column of Fig. 5 shows the 275 

simulations using the MC model. In this case no distinct shear band is observed; instead, the 276 
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zone of plastic shear strain accumulation in the right side of the pile enlarges with rotation of the 277 

pile because the post-peak softening is not considered. 278 

The difference between the force–displacement curves obtained with the MC and MMC 279 

model could be explained further examining mobilized φ′ and ψ along the shear bands. In the 280 

MC model, the plastic shear deformation occurs under constant φ′ and ψ. However, in the MMC 281 

model, φ′ and ψ varies with accumulated plastic shear strains. As shown in Fig. 5(a–c), 282 

significant accumulation of γp occurs in the shear bands. The mobilized φ′ and ψ for these three 283 

values of θ (0.5°, 1° and 5°) are shown in Fig. 6. As shown in Fig. 2(b), the maximum values of  284 

φ′ and ψ mobilize at p
pγ , and therefore φ′ < φ𝑝𝑝

′  and pψψ <  in the pre-peak ( p
p

p γ<γ ) and  also in 285 

the post-peak ( p
p

p γ>γ ) conditions. The colored zones in Figs. 5(a–c) roughly represent the 286 

post-peak condition ( p
p

p γ>γ ) developed in soil, while in the gray zones some plastic shear 287 

strains develop ( p
p

p γ<γ ) but the soil elements in this zone are still in the pre-peak shear zone 288 

(see Fig. 2b). The colored zones in Fig. 6 roughly represent the mobilized φ′ (Figs. 6a–c) and  ψ 289 

(Figs. 6d–f) in the post-peak while the gray areas of these figures represent the pre-peak zones. 290 

These figures show that φ′ and ψ are not constant along the shear band rather it depends on 291 

accumulated plastic shear strain γp. In some segments they could be at the peak, while in the 292 

segments where large plastic shear strains accumulate φ′ and ψ are at the critical state. As φ′ and 293 

ψ reduce with γp at large strains, lower normalized lateral force is calculated with the MMC 294 

model than the MC model (Fig. 3). 295 

It is to be noted here that FE element size influences the results when the analyses 296 

involve post-peak softening behavior of soil. A summary of regularization techniques available 297 

in the literature to reduce the effects of element size is available in Gylland (2012). Previous 298 
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studies also show that a simple element size scaling rule could reduce this effect for some two-299 

dimensional problems (Anastasopoulos et al. 2007; Dey et al. 2015; Robert 2010). The authors 300 

of the present study also recognize that an improved regularization technique for FE simulation 301 

of monopiles under lateral loading, considering the orientation of the curved shear bands and 302 

three-dimensional effects, likely involves considerable additional complexity and is left for a 303 

future study. 304 

       The parametric study presented in the following sections is conducted with the MMC model. 305 

FE simulations for different aspect ratios 306 

The aspect ratio η (=L/D) is often used to examine the effects of pile geometry on the load-307 

carrying capacity. The value of η could be varied by changing the values of L or D or both.  308 

Analyses are performed for three values of η (=4, 5, 6) by varying D between 3 and  4.5 m and L 309 

between 12 and 21 m, as shown in Table 3. The lateral load is applied at 6 different eccentricities 310 

ranging between 0 and 20D.  In addition, analyses are performed for pure moment condition. In 311 

other words, a total of 42 analyses for six monopiles (7 for each geometry) are conducted. The 312 

soil properties listed in Table 2 are used in the analysis. 313 

a) Force–displacement and moment–rotation curves 314 

The capacity of a monopile need to be estimated at different states such as the ultimate 315 

limit state (ULS) and serviceability limit state (SLS). The SLS occurs at much lower rotation of 316 

the pile than ULS. In the design, both ULS and SLS criteria need to be satisfied. 317 

Typical force–displacement and moment–rotation curves are shown in Fig. 7(a) and 7(b), 318 

respectively, for a monopile of L=12 m and D=3 m loaded at different eccentricities. In these 319 

figures the lateral load and moment are related as M=He. Similar to Fig. 3, the load–320 

displacement curve does not reach a clear peak and therefore the rotation criterion θ=5° is used 321 
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to define the ultimate capacity. For serviceability limit state (SLS), the allowable rotation is 322 

generally less than 1° (Doherty and Gavin 2012; DNV 2011).  323 

Figure 7(a) shows that the lateral load-carrying capacity decreases with increase in 324 

eccentricity. In this figure, the open symbols show the lateral loads for 0.5°, 1° and 5° rotations. 325 

All the points for a given rotation (e.g., open squares) are not on a vertical line in Fig. 7(a) 326 

because the depth of rotation slightly decreases with increase in eccentricity (explained later). As 327 

expected, H increases with increase in rotation (e.g., Hu for θ=5° is greater than Hu for θ=1°). 328 

In the design of long slender piles, the lateral load at pile head displacement of 10% of its 329 

diameter is often considered as the ultimate load. The solid triangles show the lateral load-330 

carrying capacity of the pile for 0.1D pile head displacement. In these analyses, it is higher than 331 

the lateral load at θ=1° but lower than θ=5°. 332 

Similar to Fig. 7(a), the open symbols in Fig. 7(b) show the moments at θ=0.5°, 1° and 333 

5°, while the solid triangles show the moment for 0.1D pile head displacement. Notice that the 334 

top most curve in Fig. 7(b) is for pure moment (not for pure lateral load as in Fig. 7(a) because in 335 

that case M=0 as e=0). Although lateral load-carrying capacity decreases with increase in 336 

eccentricity (Fig. 7a), the corresponding moment increases (Fig. 7b). 337 

In summary, both load- and moment-carrying capacity of a large-diameter monopile in 338 

dense sand depends on its rotation. As the rotation criterion is commonly used in the current 339 

practice (DNV 2011), the values of H and M at θ=0.5°, 1° and 5° will be critically examined 340 

further in the following sections, which are denoted as H0.5, H1, H5 and M0.5, M1, M5, 341 

respectively. Note that, H5 and M5 are considered as the ultimate capacity (Hu and Mu) in this 342 

study. 343 

 344 
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b) Point of rotation 345 

One of the limitations of the current p–y curve based design method is that it has been 346 

developed from test results of slender piles where only the top part of the pile deflects under 347 

lateral loading. However, a large-diameter monopile behaves similar to a rigid pile and therefore 348 

the monopile tends to rotate around a rotation point and generates pressure along the whole 349 

length of the pile. 350 

In order to identify the point of rotation of the pile in terms of length (i.e. d/L in Fig. 1b), 351 

the lateral displacements of 3 m diameter piles of different lengths listed in Table 3 are plotted in 352 

Fig. 8. As the pile length is different (Table 3), the depth z in the vertical axis is normalized by L. 353 

Similarly, for a given θ, the lateral displacement (u) at a normalized depth (z/L) depends on the 354 

length of the pile. Therefore, for a better presentation, the lateral displacements are plotted 355 

multiplying by a length factor Lref/L as 𝑢𝑢� = 𝑢𝑢(𝐿𝐿𝑟𝑟𝑟𝑟𝑟𝑟/𝐿𝐿), where the 15 m long pile is considered as 356 

reference (i.e. Lref=15 m).  Figure 8(a) shows that the point of rotation is located approximately at 357 

d=0.78L for e=0 for all three degree of rotations. With increase in e, d/L slightly decreases (Figs. 358 

8b and 8c). For the pure moment case, d ≈ 0.7L is calculated. Similar responses have been 359 

observed for other pile diameters. In summary, d/L is approximately constant irrespective of the 360 

length of the pile for a given e for these level of rotations. Moreover, d/L ≈ 0.7L–0.78L for the 361 

cases analyzed in this study. Note that, Klinkvort and Hededal (2014) also reported d ≈ 0.7L 362 

from a number of centrifuge model tests. 363 

c) Force–moment interaction diagram 364 

The capacity of a monopile can be better described using force–moment interaction 365 

diagrams (Fig. 9). In order to plot this diagram, the values of H and M are obtained for each of 366 

the 42 analyses listed in Table 3 for θ=0.5°, 1° and 5° as shown in Figs. 7(a) and 7(b). Figure 9 367 
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shows that H–M interaction lines are almost linear. The capacity (both H and M) increases with 368 

increase in length and diameter of the monopile. Comparison of Figs. 9(a)–(c) show that the 369 

capacity of the monopile increases with increase in rotation; however, the shape of the H–M 370 

curves remain almost linear for all three rotations. Similar shape of H–M diagrams have been 371 

reported by Achmus et al. (2013), where FE analyses of suction bucket foundations have been 372 

conducted using the built-in Mohr-Coulomb model with constant φ′ and ψ. 373 

d) Horizontal stress around the pile  374 

The soil resistance to the lateral movement of the pile depends on two factors: (i) frontal 375 

normal stress and (ii) side friction (Briaud et al. 1983; Smith 1987). The contour plots of the 376 

horizontal compressive stresses for three different load eccentricities at θ=5⁰ are shown in Fig. 377 

10 for the analysis of the monopile having L=18 m and D=3 m. Compressive stress develops in 378 

the right side of the pile up to approximately 0.70–0.78L and in the left side near the bottom of 379 

the pile. An uneven shape of the stress contour around the shear band f3 in Fig. 5(c) is calculated 380 

(e.g., see the stress contour around the line AB in Fig. 10a). The pattern is similar for all three 381 

eccentricities. The solid circles show the approximate location of the point of rotation.  382 

d) Effects of η and e on initial stiffness 383 

Similar to Fig. 4(b), the initial stiffness (kin) is calculated for all 42 analyses listed in 384 

Table 3 and plotted in Fig. 11. The initial stiffness increases with increase in size of the pile and 385 

the increase is very significant at low eccentricities; however, at large e/D, the difference in kin is 386 

relatively small. For a given pile length (e.g., L=18 m), kin is higher for larger diameter pile up to 387 

e=5D; however, kin is almost independent of D at large eccentricities (e.g., e=15D). This is 388 

consistent with centrifuge tests (Alderlieste 2011) where it was shown that the decrease in 389 

stiffness with eccentricity is more pronounced in larger diameter piles. Similar findings have 390 

been reported by Achmus et al. (2013) for suction bucket foundations. 391 
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Proposed equation for lateral load-carrying capacity and moment 392 

Various theoretical methods have been proposed in the past to calculate the ultimate 393 

lateral resistance (Hu) of free-headed laterally loaded rigid pile based on simplified soil pressure 394 

distribution along the length of the pile (Brinch Hansen 1961; Broms 1964; Petrasovits and 395 

Award 1972; Meyerhof et al. 1981; Prasad and Chari 1999). Following LeBlanc et al. (2010), an 396 

idealized horizontal pressure distribution (p) shown in Fig. 1(b) is used to estimate the lateral 397 

load-carrying capacity. Note that the assumed shape of p in Fig. 1(b) is similar to the horizontal 398 

pressure distribution obtained from FE analysis (Fig. 10). From Fig. 1(b), the force and moment 399 

equilibrium equations at the pile head can be written as: 400 

𝐻𝐻 = 1
2
𝐾𝐾𝐾𝐾𝐿𝐿′(2𝑑𝑑2 − 𝐿𝐿2)         (1)  401 

𝑀𝑀 = 1
3
𝐾𝐾𝐾𝐾𝐿𝐿′(𝐿𝐿3 − 2𝑑𝑑3)         (2) 402 

Combining Eqs. (1) and (2), and replacing M=He, the following relationship is obtained: 403 

4𝑅𝑅3 + 6𝑅𝑅2 𝑟𝑟
𝐿𝐿
− �2 + 3 𝑟𝑟

𝐿𝐿
� = 0 where, R=d/L     (3) 404 

For a given e/L, Eq. (3) is solved for R which is then used to find d. Now inserting d in Eq. (1) 405 

and (2), H and M are calculated. 406 

In addition to the shape of the pressure distribution profile (Fig. 1b), the estimation of 407 

parameter K is equally important. Broms (1964) assumed K=3Kp (i.e. p=3KpDγ′z) for the entire 408 

length in front of the pile to calculate Hu. Comparison of field test results show that Broms’ 409 

method underestimates Hu (Poulos and Davis 1980), especially for piles in dense sand (Barton 410 

1982). Therefore, Barton (1982) suggested K=𝐾𝐾𝑝𝑝2. 411 

A close examination of all the FE results presented above show that the Hu calculated 412 

using Eqs. (1)–(3) reasonably match the FE results at θ=5⁰ if K=4.3Kp is used. The open squares 413 

in Fig. 12 show that the calculated Hu using the empirical Eqs. (1)–(3) match well with the FE 414 
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results. In this figure, H is plotted in normalized form as 2γ DLKHH p ′= . As shown before that 415 

the lateral load-carrying capacity increases with decreasing eccentricity (Fig. 7a). Therefore, for 416 

a given rotation, the points with higher uH represent the results for lower eccentricities. The 417 

rightmost points, where the maximum discrepancy is found, are for the purely lateral load 418 

applied to the pile head (e=0). The discrepancy is not very significant for high eccentricities. As 419 

in offshore monopile foundations the lateral load acts at relatively high eccentricity, Eqs. (1)–(3) 420 

and FE results show better match for these loading conditions. 421 

In order to provide a simplified guideline for SLS design, capacities of the monopile at 422 

two more rotations (θ=0.5° and 1°) are also investigated. Reanalyzing H at these rotations, it is 423 

found that if K=1.45Kp and 2.25Kp are used for θ=0.5° and 1°, respectively, the calculated H 424 

using Eqs. (1)–(3) reasonably match the FE results (Fig. 12). Similar to the mobilization of the 425 

passive resistance behind a retaining wall with its rotation, this can be viewed as: at θ equals 0.5° 426 

and 1°, respectively, the mobilized K is 34% and 52% of the K at the ultimate condition (θ=5°). 427 

Lateral force–moment interaction 428 

Figure 13 shows the lateral force–moment interaction diagram in which H and M are 429 

normalized as 2γ DLKHH p ′= and 3γ DLKMM p ′= . The solid lines are drawn using Eqs. 430 

(1)–(3) for θ=0.5°, 1° and 5° using K=1.45Kp, 2.25Kp and 4.3Kp, respectively, as described 431 

before. The scattered points (open triangles, squares and circles) show the values obtained from 432 

FE analysis for these three levels of rotation. Purely a lateral load at the pile head as shown in the 433 

vertical axis or purely a moment without any H as shown in the horizontal axis are not expected 434 

in offshore monopile foundations for wind turbine because H acts at an eccentricity. However, 435 

these analyses are conducted for the completeness of the interaction diagram. As shown in this 436 

figure, with increase in eccentricity (i.e. M ) the lateral load-carrying capacity H  decreases. The 437 
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calculations using the simplified equations with the recommended values of K reasonably match 438 

the FE results for these three levels of rotation. The shape of the M – H interaction diagram is 439 

similar to experimental observation (LeBlanc et al. 2010) and numerical modeling of large-440 

diameter suction bucket foundation (Achmus et al. 2013). 441 

Reanalyzing available model test results, Zhang et al. (2005) proposed an empirical 442 

method to calculate the ultimate lateral load-carrying capacity of rigid pile considering both soil 443 

pressure and pile–soil interface resistance. They calculated the depth of rotation using the 444 

empirical equation proposed by Prasad and Chari (1999). Calculated Hu and Mu (=Hue) using this 445 

empirical method (Zhang et al. 2005) for the eccentricities considered in the present FE analysis 446 

are also shown in Fig. 13. The ultimate capacity of the large-diameter monopiles (at θ=5°) is 447 

approximately 35% higher than the Zhang et al. (2005) empirical model. 448 

As M=He, the slope of a line drawn from the origin in the M – H plot (Fig. 13) is L/e. In 449 

order to explain this diagram and to provide a worked example, consider a monopile of D=4 m 450 

and L=18 m installed in dense sand of Dr=80% and γ′=10 kN/m3, and is subjected to an eccentric 451 

lateral load acting at e=50 m above the pile head. For this geometry, draw the line OA at a slope 452 

of L/e=0.36 (Fig. 13). From the intersections of this line with M – H  interaction diagram (solid 453 

lines), the normalized capacity of the pile H can be calculated as 0.04, 0.06, 0.12 for θ=0.5°, 1° 454 

and 5°, respectively. Now calculating φ′=38.8° based on API (1987), Kp=4.36 can be obtained, 455 

which gives lateral load-carrying capacities of 2.26, 3.39, 6.78 MN and corresponding moments 456 

of 113, 170 and 339 MN-m for θ=0.5°, 1° and 5°, respectively. 457 

Conclusions 458 

Three-dimensional FE analyses are performed to estimate the lateral load-carrying 459 

capacity of monopiles in dense sand for different load eccentricities. Analyses are mainly 460 
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conducted by employing a modified form of Mohr-Coulomb model (MMC) that captures the 461 

typical stress–strain behavior of dense sand. The following conclusions can be drawn from this 462 

study. 463 

1. FE analysis with the MMC model simulates the load–displacement behavior for a wide 464 

range of lateral displacement of the pile head, including the reduction of stiffness at large 465 

displacements, as observed in centrifuge model tests. 466 

2. With the MMC model the mobilization of φ′ and ψ with rotation of the pile creates 467 

distinct shear bands due to post-peak softening, which could not be simulated using the 468 

Mohr-Coulomb model. 469 

3. The load-carrying capacity of the pile depends on its rotation. For 0.5° and 1° rotation of 470 

the pile the mobilized capacity is approximately 34% and 52%, respectively, of the 471 

ultimate capacity calculated at 5° rotation. 472 

4. At the ultimate loading condition the depth of the point of rotation of the pile is 473 

approximately 0.7L for monopiles used in offshore wind turbine foundation loaded at 474 

large eccentricity. 475 

5. The simplified model based on a linear pressure distribution, with a pressure reversal at 476 

the point of rotation, can be used for preliminary estimation of load-carrying capacity. The 477 

normalized capacity of large-diameter monopiles is higher than the estimated capacity of 478 

small-diameter piles based on the empirical equations developed from small-scale model 479 

test results. 480 

Finally, it is to be noted that the effects of long-term cyclic loading on monopiles is another 481 

important issue which has not been investigated in the present study. 482 

 483 

 484 
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Table 1. Equations for Modified Mohr-Coulomb Model (MMC) (summarized from Roy et al., 
2014, 2015)  

Description Constitutive Equation 

Relative density index 
IR=ID(Q- ln p')-R, where ID =Dr(%)/100,  
Q=7.4+0.6 ln(σc

' ) (Chakraborty and Salgado, 2010) and  
R=1 (Bolton, 1986) 

Peak friction angle φ′p-φ′c=A
ψ

IR 

Peak dilation angle ψp=
φ′p-φ′c

kψ
 

Strain softening 
parameter γc

p=C1+C2ID 

Plastic strain at φ′p γp
p=γc

p�p' pa
'⁄ �

m
 

Mobilized friction angle 
at Zone-II ϕ'=ϕin

' +sin-1

⎣
⎢
⎢
⎡

⎝

⎛
2�γp×γp

p

γp+γp
p

⎠

⎞ sin �ϕp
' -ϕin

' �

⎦
⎥
⎥
⎤
 

Mobilized dilation angle 
at Zone-II ψ=sin-1

⎣
⎢
⎢
⎡

⎝

⎛
2�γp×γp

p

γp+γp
p

⎠

⎞ sin �ψp�

⎦
⎥
⎥
⎤
 

Mobilized friction angle 
at Zone-III ϕ'=ϕc

' + �ϕp
' -ϕc

' �  exp �-�
γp-γp

p

γc
p �

2

� 

Mobilized dilation angle 
at Zone-III ψ=ψp exp �-�

γp-γp
p

γc
p �

2

� 

Notes: Aψ: slope of (φ′p-φ′c) vs. IR; m,C1, C2: soil parameters; IR: relative density 
index; 𝑘𝑘ψ: slope of (φ′p-φ′c) vs. ψp;  φ′in: φ′ at the start of plastic deformation; φ′p: peak 
friction angle; φ𝑐𝑐

′ : critical state friction angle; ψ𝑝𝑝: peak dilation angle; ψ𝑖𝑖𝑖𝑖: ψ at the 
start of plastic deformation (=0); γ𝑝𝑝: plastic shear strain; γ𝑝𝑝

𝑝𝑝: γp required to mobilize φ′p;  
γ𝑐𝑐
𝑝𝑝: strain softening parameter. Figure 2(b) shows the typical variation of φ′ and ψ. 

 

 

  



 

Table 2. Soil parameters used in FE analyses 

 
Parameters Value 

νsoil 0.3 

Aψ 3.8 

kψ 0.6 

φ′ in 29° 

C1 0.22 

C2 0.11 

m 0.25 

Critical state friction angle, φ′c 31° 

Young’s modulus, Es (MN/m2) 90 

Relative density, Dr (%) 90 

Submerged unit weight, γ' (kN/m3) 10.2 

Interface friction coefficient, µ tan (0.65φ′) 

Cohesion (c′)1 (kN/m2) 0.10 
1Cohesion is required to be defined in Abaqus FE analysis. For sand in 

this study a very small value of c′=0.10 kN/m2 is used. 

 

 

 

  



 

 

 

Table 3 Dimensions of pile for parametric study 

Aspect ratio, η=L/D 
Load eccentricity, e 

η=4 η=5 η=6 

L=12 m, D=3 m 

L=18 m, D=4.5 m 

L=15 m, D=3 m 

L=18 m, D=3.6 m 

L=18 m, D=3 m 

L=21 m, D=3.5 m 

0, 2.5D, 5D, 10D, 15D, 

20D and pure moment 

 



 

 

 

 

 

 

 
Fig. 1. Problem statement: (a) loading and sign convention, (b) assumed pressure distribution, (c) 

mode of shearing of soil elements 

  



 

 

 
Fig. 2(a). FE mesh used in this study 

 
Fig. 2(b). Variation of mobilized friction and dilation angle  

 e 

 Reference point 



 

 

 
Fig. 3. Comparison between FE simulation and centrifuge test results by Klinkvort and Hededal 

(2014) 
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Fig. 4. Effects of vertical load and eccentricity on ultimate capacity and initial stiffness 
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Fig. 5. Development of plastic shear zone around the monopile 

 



 

 

 

  

  

  

Fig. 6. Mobilized ϕ' and ψ around the monopile 

  



 

 

 
 

Fig. 7. Analysis for L=12 m and D=3 m: (a) lateral force–displacement, (b) moment–rotation 

curves  
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Fig. 8. Lateral displacement for different length-to-diameter ratios and eccentricities  
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Fig. 9. Lateral load–moment interaction diagrams: (a) for θ = 0.5°, (b) for θ = 1°, (c) for θ = 5° 

 

 

 

   

Fig. 10. Horizontal stress in soil at ultimate state (θ=5⁰) in the plane of symmetry 
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Fig. 11. Effects of length-to-diameter ratio and eccentricity on initial stiffness 

 

 
Fig. 12. Comparison between lateral loads calculated from proposed simplified equation and FE 

analyses   
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Fig. 13. Normalized force–moment interaction diagram for θ=0.5°, 1° and 5° 
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